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e Deviatoric total strain tension
E, Unloading-reloading modulus
f, Function which expresses capped surface

f; Function which expresses yield surface
g Gravitational constant

G Modulus of rigidity

J; First stress invariant

oo Second invariant of stress deviator

K Stiffness coefficient for Young's modulus
Ky Coefficient for bulk modulus

K, Uniaxial strain

K., Coefficient for loading and unloading modulus

k Soil cohesion parameter

L Value of J, where elliptical surface intersects the ultimate strength surface
m Exponent for bulk modulus

n Exponent for Young's modulus

p Superscript denoting plastic component

Pa Atmospheric pressure

R Ratio of major and minor axis of the surface ellipse

R; Ratio of failure stress to asymototically smaller values at lower strain
S An internal state variable that characterizes the hardening process
T Transformation constant

t Time

u Pore pressure

u, Initial pore pressure

u; Accumulated pore pressure

14 Volume

w Hardening parameter

X Value of J; where the elliptical surface intersects the J, axis

Xint Initial position of elliptical surface

a Soil friction parameter

Y Y172 Cyclic shear strain

Ys Buoyant unit weight

Yd Dry unit weight

Yrmax Maximum shear strain

Yoct Octahedral shear strain
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PURPOSE

This report describes a nonlinear finite element
method for predicting liquefaction and deformations
in embankmeént dams and their foundations. Two
constitutive models: (1) the hyperbolic model and (2)
the Weidlinger cap model (plasticity model) are dis-
cussed. An endochronic pore pressure model based
on straining of material is used to predict pore pres-
sure buildup. Acceleration time histories may be ap-
plied to the base of the finite element mesh to provide
earthquake loadings. Analysis results provide accel-
erations, displacements, stresses, and pore pres-
sures throughout the mesh. Both total and effective
stress paths are reported for any given time step.
Failure of material is modeled both by soil strength
parameters and by the onset of excess pore pres-
sures. Thus, the deformation of dams may be cal-
culated with a single analysis technique. Liquefaction
may be predicted and deformation calculated with
this failure mode.

INTRODUCTION

The state of the art of soil dynamics and geotechnical
earthquake engineering analysis procedures were re-
viewed by Lysmer [15] in 1978. He summarized his
assessment of current knowledge and the techniques
for considering dynamic analyses of earth structures
and soil-structure interaction problems as:

"*Having taken a sober look at the possibilities
for nonlinear analysis and with this the dream
of all soils engineers, dynamic effective stress
analysis with evaluation of dynamic pore pres-
sures, you might conclude with the writer that
the state-of-the-art of dynamic analysis is still
in its infancy and that for a long time to come
most soil dynamics problems will have to be
solved by total stress analysis and essentially
linear methods of analysis."”

Well-behaved finite element analysis codes are still
scarce. It is very difficult to devise generally appli-
cable constitutive models that account for the non-
linear, load-path dependent, inelastic and dilatant
behavior of soils. It becomes equally difficult to im-
plement these models in dynamic analysis computer
codes. At the present time, detailed numerical anal-
ysis studies of earth embankment and foundation
conditions are often limited by the size of the prob-
lem, uncertainties in material behavior, pore water
pressure generation and distribution mechanisms,
and material and geometric nonlinearities. Currently,
employed analysis techniques, such as linear and
equivalent linear solutions in the frequency and time
domain, are well documented in the literature.

Material models that incorporate and realistically
model load reversals and pore pressure changes
caused by dynamic or cyclic loading, that are simple
to implement and use, and that require easily ob-
tainable material properties are still not available as
a pragmatic design tool. The methods discussed in
this report attempt to bridge this gap and to present
the development of a practical computational anal-
ysis code based on effective stress concepts. This
report contains a description of the implemented the-
ory, the calculation of necessary properties and val-
ues for input, and a verification of its utility by
applying the code both on known experimental re-
sults and on actual documented field cases.

Earthquakes, in general, pose a severe loading con-
dition for embankment dams. Thus, although it is im-
portant to perform static analyses, it is more
important to analyze and understand the dynamic be-
havior of dams and to predict whether or not failure
is impending under the anticipated worst-case load-
ings. Many of the dams that have been built in dif-
ferent parts of the world over the past 5,000 years
have been subjected to earthquakes with varied re-
sults [11]. Some dams have suffered little or no dam-
age but others have failed.

To predict the wide range of performance in dams,
traditional analyses have generally been developed
in two different categories for predicting failure: (1)
excessive displacement during shaking and (2) lig-
uefaction of the dam and/or foundation and a sub-
sequent complete loss of the dam section. The two
categories differ with respect to the amount and type
of strain that occurs, the loading necessary for its
use, and the effects of various parameters on these
phenomena [20, 9].

Displacements can occur in instances of gradually
increasing cyclic strains without complete loss in
shear strength and stiffness, or cyclic mobility. Cyclic
mobility has been used to explain progressive stiff-
ening and weakening under cyclic loading on rela-
tively dense sandy soil. Liquefaction, on the other
hand, is a result of high excess pore water pressures
and the subsequent loss of strength and stiffness
caused by aloose, contractive soil structure. Despite
a few controversial issues related to the general ter-
minology and the origin and evaluation of certain lig-
uefaction mechanisms, there appears to be general
agreement in the geotechnical engineering commu-
nity about (1) the importance of understanding the
dynamic stress, strain, strength, and pore water
pressure behaviors of soils, (2) the importance of
knowing the liquefaction potential of subsoils in
earthquake-prone regions, and (3) the need for pur-
suing further research in these areas. In fact, to quote
the 1983 report Safety of Existing Dams [16] by the
National Research Council, “'To evaluate the stability



of loose cohesionless materials, . . . realistic dynamic
analyses should be used in conjunction with special
laboratory tests to evaluate soil strength under cyclic
loading.”” Both categories are difficult to model an-
alytically because of the complex nature of typical
soil behavior that accounts for nonlinearity, dilatancy,
and other complex phenomena. Traditional methods
that were previously available have required signifi-
cant simplifying assumptions and are generally used
to simulate either cyclic mobility or liquefaction.

The system of equations used in this solution em-
ploys the mass and acceleration of the dam, the non-
linear stiffness of the dam, and a forcing function. A
multisurface plasticity model was used to generate
the hysteretic yielding behavior of the materials. For
this case, the soil damping is independent of the
strain rate and is modeled accurately in an implicit
manner without the use of an explicit damping term
in the governing equation. This eliminates the need
to derive damping characteristics and solve equa-
tions with complex solutions. The material constants
needed are found from standard triaxial tests. This
type of analysis, which is reasonable for problems of
practical relevance, is far less expensive than more
complex formulations.

To be useful as a predictive tool, models must be
capable of handling problems with complex geo-
metries, complicated loading situations, and typical
soil responses. One class of methods used to ac-
complish this verification is laboratory experimenta-
tion, such as performed in triaxial tests. These tests
are normally used to establish soil properties and can
be used as an example to verify the correctness of
the implementation of the numerical model. How-
ever, triaxial tests represent a single element of a soil
mass and are not sufficient proof of the problem-
solving capability relative to field cases. Four known
field cases represent a full range of possible failure
mechanisms in dams:

1. Oroville Dam — a significant earthquake event
that had no effect on the dam

2. Sheffield Dam — a liquefaction failure with loss
of the dam

3. Lower San Fernando Dam — a liquefaction fail-
ure with a near loss of the dam

4. Upper San Fernando Dam - a displacement
failure of the dam

These cases are studied using analysis methods de-
scribed in this report. Published material properties
are used and only a single analysis was conducted
to predict behavior; no attempt was made to vary
the input constants in an iterative manner until results
matched the known field behavior. The resuits are
discussed together with comparisons of methods
and conclusions.

It has been estimated (by Peck [17]) that the prob-
ability of a catastrophic failure of a major dam during
any given year is about 1 in 10,000. Stated in per-
haps a more pragmatic way, 1 in every 100 dams
will fail in a lifetime of 100 years. The understanding
and consideration of the factors that affect dam fail-
ures can be used to decrease this probability. Meth-
ods presented in this report can be used to model
nonlinear soil behavior, complex cyclic loading and
unloading conditions encountered during applied
earthquake loading, and pore pressures generated.
All of these properties are modeled simuitaneously,
which provides a complete tool for the effective
stress analysis and the prediction of possible failure
modes in embankment dams or other soil structures.
Thus, such analyses can be used effectively to in-
crease the safety of dams through necessary
modifications.

MATERIAL MODELS INCLUDING PORE
PRESSURE EFFECTS

Two models from the literature are chosen for this
study and implemented in an existing finite element
computer code, ADINA/BM [2]. An endochronic pore
pressure is used in conjunction with these models.
A brief description of the derivation and assumptions
of the models and the calculation of the appropriate
input constants are covered in each of the foliowing
sections.

Hyperbolic Modei

The hyperbolic model is an early model used in the
finite element method. It is one of the most common
models used today in the analysis of soil mechanics
problems. The hyperbolic model was first proposed
for static and monotonic loading by Kondner [13] and
was implemented by Duncan and Chang [7] for finite
element analysis. The stress — strain response curve
is assumed to closely represent a hyperbola, as
shown on figure 1. This assumed property may be
combined with the Mohr-Coulomb failure criterion to
express a relationship between compressive
strength and confining stress in the form of a tangent
modulus, E,, as:

Rf (1 - Sln(D) (01 - 0-3) 2 0-3 ) n
E,=|1 - K
! [ 2c cosg + 203 sing ] Pa P, M

The bulk modulus may be given as a function of con-
fining pressure [10] as:

B; = Kppalas/pa)™ (2)

A tangent stress-strain relationship using the values
of E, and B, may be given as:
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The unloading and reloading moduli are generally
taken as constant modulus values. The modulus can
be related to confining pressure as:

n

Eur = K o) % ) (@)
Pa

Determining when a soil element in a field problem
is unloading requires a general algorithmic expres-
sion. It cannot be based on confining pressure or axial
loading alone. As can be seen on figure 2, careful
consideration must be given to this procedure. An
incorrect choice of the unloading and reloading mod-
ulus can follow a path that creates or adds energy
to the system and, therefore, will create an incorrect
physical approximation causing numerical instability
in the solution. Various alternatives on which to base
the procedure are available: (1) an expression or de-
cision algorithm to determine the most prevalent ef-
fect, (2) energy calculations to ensure that energy is
not being added to the system by the unloading-
reloading process, and (3) evaluation of plastic
strains. The expression used to determine unloading
in the implemented model is the octahedral shear
strain, which is defined as:

Yoot = % [(gx - gy)z + (8y - 822
+ (6 — 807+ 3 8,22 (5)

This expression is chosen because shear strains in
this model are unaffected by pore water pressures
or by hydrostatic total stress changes. Strains are
calculated directly from displacements, thus elimi-
nating iterations for stress using the material law.
Increasing octahedral shear strain identifies loading;
whereas, decreasing octahedral shear strain identi-
fies unloading. The unloading-reloading modulus is
used during an unloading-reloading cycle until the oc-
tahedral shear strain calculated at the beginning of
the cycle is exceeded. When this condition occurs,
the material is again in primary loading and the tan-
gent stiffness (in eqgs. (1) and (2)) is used as before.

During an unloading phase, a sufficient change in load
may actually put the material in tension. In this case,
a calculation for modulus that provides a good ap-
proximation of the material behavior must be in-
cluded. Two considerations are appropriate: (1) the
soil has little or no strength in tension and (2) a mod-
ulus of zero or near zero will create numerical insta-
bility. Some assumption must be made that balances
these factors to provide a basis for use in computer
codes. For this particular model, a modulus equal to
one-tenth the initial modulus is used. In addition to
this effect, repeated cyclic loading may cause a re-
duction in strength. To account for this reduction, a
cyclic degradation parameter may be used to adjust
the stiffness during cyclic loading.

The calculation of constants for the hyperbolic model
has been presented in detail elsewhere [8, 12] and
will not be presented here. For convenience, tables
of typical values for earthfill dams [8] are contained
in appendix A. Figure 3 provides an easy calculation
sheet for determination of all parameters associated
with this model.

Weidlinger Cap Model

The use of a work-hardening cap as a control on
volumetric plastic strain associated with the Drucker-
Prager yield surface for the analysis of soils was first
suggested by Drucker et al. [6]. A later development,
termed the Weidlinger cap model, is used in this re-
port. This model is based on conventional isotropic
hardening and the time rate independent plasticity
theory with a strain-hardening cap [4, 18]. To sim-
ulate nonlinear material behavior such as that illus-
trated on figure 4, an incremental stress — strain
relationship is used. This may be expressed in the
rate form as:

do de
— = P — 6
dt dt )

where C°? is the coefficient matrix for elastic-plastic
analysis. Because the material properties are as-
sumed to be time independent, dt may be eliminated
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or the stress and strain stress rates simply termed
o and g, respectively.

The C°” component incorporates both elastic and
plastic effects. It is derived from the basic concepts
of elasticity and plasticity theories by assuming that
the strains may be divided into elastic and plastic
components, as:

de; = de; + dg;f (7)

where the Cartesian tensor notation is used to imply
all components, and the e and p superscripts denote
elastic and plastic components, respectively. In ad-
dition to consistency conditions, three basic require-
ments must be satisfied in incremental plastic stress-
strain theory:

1. There must be a yield surface. The yield sur-
face is defined as a stress surface which de-
fines plastic yielding and elastic deformations.

Elastic properties are used within the vyield
surfaces.

2. A flow rule is required. The flow rule relates
the relative magnitudes of the strain incre-
ments to the stress state. A flow rule for as-
sociated plasticity may be achieved by
assuming that the yield surface is the plastic
potential surface. Plastic strain increment di-
rections are then assumed to be normal to this
surface. For the Weidlinger cap model, an as-
sociative flow rule is used.

3. A work-hardening law is needed to determine
magnitudes of plastic strain increments from a
given stress increment.

Yield Surface. — The vyield surface for the Weidlin-
ger cap model comprises two parts: a stationary fail-
ure surface and a strain-hardening cap that reaches
from the failure surface to the hydrostatic axis (see
fig. 4).
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The upper failure envelope is a composite of the
Drucker-Prager surface and a von Mises surface. For
lower values of J, (the first stress invariant = o, +
o, + 05), the Drucker-Prager criterion is used, or

fe=(Jop)? —ad; — k=0 (8)
where:

fe
J2 D

function which expresses yield surface,
second invariant of stress deviator,

[[]

Jop = % (o7 — 02 + (0, — a3)* + (07 — 03)*] (9)
where:

a = parameter related to soil friction, and
k = parameter related to soil cohesion.

Values of a and k must be calculated in conjunction
with the boundary assumptions used in the analysis
as follows.

For plane strain and matching ultimate stress states
with the Mohr-Coulomb strength criterion:

tan @
(9 + 12 tan? ¢)'/2

a —3
(10)
3c
(9 + 12 tan? ¢)'/?

For axisymmetric conditions:

o, > 0, = 03 (triaxial compression)

2 sin ¢
a= ———r
3 (3 — sin ¢)

(11)

K = 6¢c cos ¢
3 (3 ~ sin ¢)

0, = 0, > 03 (triaxial extension)

2 sin ¢
3 (3 + sin ¢)
(12)
6ccos ¢

k= —M—MM———
3 (3 + sin @)

As J, becomes large, the failure surface is repre-
sented by the von Mises surfaces as:

fo = (Jop)'? — k (13)

The entire failure surface may be represented by the
expression:

fr=(Jp)'?+ A—- Cexp(—BJ;) = 0 (14)
where A, B, and C are material constants.

Note that with J, equal to zero, equation (8) becomes
equation (13) with C — A = k.

An ellipitically shaped moving cap surface is used to
complete the ultimate strength surface. This surface
has been characterized by two relationships [12]:

e~ [esus | A e (s>1]2‘1 ~0
(15)
or:
f.=R’Jyp+ Jy — LIS — R?b* =0  (16)
where:

= an internal state variable that characterizes

the hardening process as a function of the
plastic volumetric strain history,

L = value.of J;, where the elliptical surface inter-
sects the ulimate strength surface,

X = value of J, where the elliptical surface inter-
sects the J, axis,

R = ratio of major and minor axis of the ellipse,
and

b = {(J5p)'/? value when J, = L.

Note that X is the extreme value of J, for a given
yield surface and corresponds to the isotropic pre-
consolidation stress. The isotropic stress states X
and L are related by the expression:

X(K) = LK) + R[A — Cexp(—BL(K))}] (17)
Flow Rule. — The model is based on an associated
flow rule. This assumption requires that during cap
action, the plastic strain vector is perpendicular to
the cap, or upward and to the right. This implies that
the plastic strain rate consists of an irreversible de-
crease in volume resulting from the irreversible shear
strain. Such a volume reduction is intended to model
the compaction assumed during compression of
most geological materials.

Hardening Rule. — The hardening rule used relates
the volumetric stress-strain response of the material
to isotropic compression. The plastic volumetric
strain is assumed to have the form:



& = W lexp(-DX(S)) - 1] (18)

where D and W are material constants. W denotes
the maximum volumetric plastic strain that can be
obtained in isotropic compression relative to the ini-
tial conditions. In most applications isotropic
compression tests should be conducted to a higher
mean stress level than the expected prototype stress
level to calculate these parameters. The initial cap
position represents the initial preconsolidation
stress.

Unloading and reloading are important considera-
tions for the model. Inside the region bounded by the
ultimate strength and yield surfaces, all stress paths
are treated as elastic, and the initial elastic modulus
is used. Thus, any loading sufficient to generate plas-
tic strains increases the elastic region, and all un-
loadings from the vyield line are within the region and
treated elastically. Tension conditions follow these
same criteria up to a specified tensile limit, beyond
which tensile stresses cannot be sustained.

An additional feature that is possible with the cap
model is a check for element collapse or excessive
increase in volume. These situations arise numerically
when elements incur excessive plastic strains. Gen-
erally, they cannot occur physically in compression
because of the continuity of material, or in tension
because of the separation of material and the inability
to transfer load to the element. To approximate these
conditions, the model monitors plastic volumetric
strain. When this parameter exceeds 1.5, elastic
properties are used. This allows failure of the material
to be initiated, but numerical stability can be main-
tained to obtain a physically reasonable solution. In
cases such as Upper San Fernando Dam (discussed
later) this assumption does not allow complete flow
of material.

Evaluating Parameters for the Weidlinger Cap
Model. — To evaluate material constants for the
Weidlinger model, at least two tests are needed: a
conventional triaxial test and isotropic compression
tests. A uniaxial strain test (K, test) can be used to
improve the accuracy of computed elastic bulk mod-
ulus and shear modulus values. A complete descrip-
tion of the calculation of parameters is presented by
Ko and Sture [12]. In brief, the constants A, B, and
Crepresent the configuration of the ultimate strength
failure envelope. The A value is equal to the maximum
Jop'72 value. The constant B describes the rapidity
with which the transition surface approaches the von
Mises envelope and can be obtained by trial and error
at key points along the surface. When J, = 0, the
intercept with the J,,'/2 value is equal to C — A. The
parameters D and W are obtained from isotropic
compression tests by fitting equation 18 to plastic
volumetric strain data. W denotes a maximum vol-
umetric plastic strain that can be obtained in isotropic

comparison. A ratio between the major to minor axis
of the ellipse may be used to find the value of R.
Elastic properties may also be used to approximate
the R value as:

R2_§[6(1+v)] (19)

Gl (1-2v
where:

G = modulus of rigidity, and
v = Poisson’s ratio.

The effect of R on the strain path is shown on
figure 5.

Pore Pressure Model

The buildup of pore pressure during cyclic loading
resulting in reduced effective stress is one of the key
components in the reduction of strength in soil ma-
terials. By using a model for the pore pressure in-
crease that works in harmony with the stress—strain
model, the finite element method is capable of cal-
culating displacements and effective stresses during
dynamic loading conditions. In a review of the state-
of-the-art for the evaluation of liquefaction potential,
Finn [9] discussed several possible approximations
to simulate the increase of pore pressure during
cyclic loading. In this discussion, the model described
relates pore pressure to strain path. Because strains
are calculated as variables within the finite element
formulation, this model provides a good basis for in-
corporation in standard stiffness formulated FEM (Fi-
nite Element Method) computer codes. Such a
relation may be used to find the accumulated pore
pressure, u;, and thus to calculate the effective
stress, o', as:

U = u, + Au (20)

!

o' =0, U (21)

Endochronic models use the concept of intrinsic time
to relate independent and dependent variables of the
response to suitable transformed variables [9]. The
functions generated are a single monotonically in-
creasing function. Sand at a given relative density,
subjected to cyclic loading tests, can be represented
by single pore pressure functions over the ranges of
stresses or strains of usual interest. In the case
where a single function is not satisfactory, a piece-
wise fit may be constructed treating various ranges
of strains over the entire interval. The use of a single
function provides a conceptually straightforward im-
plementation into finite element analyses.

Consider a simple cyclic shear test as shown on
figure 6. A sample is loaded vertically by a stress o,
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Figure 6. — Simple cyclic shear strain test.

and subjected to a shear stress 7 applied in a cyclic
loading process.

Typical experimental data using this test are shown
on figure 7. It is clear from figure 7 that the pore
pressure ratio is a function of the shear strain am-
plitude in the test and the number of cycles.

The development of pore pressure may be related to
the total strain history instead of the number of
cycles by summing incremental shear strains at each
step of the calculation. An incremental strain path
parameter, d&, is chosen as:

where g; is the deviatoric total strain tensor. For the
simple shear test, d§ may be expressed as:

dé = dy/2 (23)

where y = the amplitude of the shear strain. The
strain path parameter, &, is @ monotonically increas-
ing parameter to track the number of cycles, strain
history, etc. The data on figure 7 are plotted on figure
8 in terms of strain path length, {.

To map all curves of constant strain data to a single
curve, a suitable transformation variable, T, is re-
quired. Finn [9] suggests the function:

T = exp(iy) (24)

where A equals a pore pressure constant which is a
function of the material under consideration. By using
this transformation parameter, the test values are
transformed to a new single parameter, «, referred
to as the damage parameter, or:

Kk = {[exp (Ay)] (25)
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Plots of the damage parameter and pore pressure
normalized by the initial confining stress can be gen-
erated from test data (see fig. 9). The range of values
are plotted on a semi logarithmic scale. A general
equation was used to match the data in this form [9],
and it was found that the best linearization was made
by the use of the equation:

u _(Au
' B

O-VO u

(26)

)In {1 + B, x)

where o, equals initial confining pressure of the test,
and A, and B, are constants determined for each soil.

_Similar relationships may be used for triaxial test con-
ditions to produce a single expression for pore pres-
sure. For this case, the strain path parameter, {, may
be expressed in terms of stress [9] as:

d¢ = (doy; doy)"2 (27)

and the strain damage parameter may be defined as:

k= Clexp(2 5] (28)

where o, equals cyclic deviator stress. Pore pressure
is calculated using equation 26 as before.

Determination of Material Constants. — Typical
cyclic strain data are shown on figure 7. Three dif-
ferent shear strain values are shown for the tests:
y=0.003, y = 0.01, and y = 0.0003. The data may
be plotted as Au/o,, versus &, as shown on figure
8. With data in this form, the pore pressure constant,
A, may be calculated by interpolating values of
change in { for different strains at a constant pore
pressure (see fig. 8). Since the constant, A, is used
to interpolate different ranges of strain to the single
variable, x, the derivation of A may be accomplished
for two levels of strain amplitudes, y, and ¥, as:

k= & exp (Ay)) = § exp (A7,) (29)

Rearranging the expression and solving for A, we
obtain:

explAMy: — vl = &/ (30)
or
A=1In —M— (31)
rn — 7

Monterey no. 0 Sond

o, = 2000 psf
@ Dr=45%
Lo Use average A =15% ° °
Qe o

- Au _ A In(i+BK)

3 oy B ° °

b
N\ 0.8 o AU _

fos) Ay _ _ _A o =0.512 In{1+8.2K)

4 ® U},—o,u K=0.0037  0.1=g In(1+0.00378)(3) . 3

o AU _ _ _A

BU _02K=0.0585  0.2=7% In(I+0.05858

= o8 oy B Nl ® o

< .

= ® , _In(1+0.05858) . _ . .. .

w 0O) In{1+0.00378) o

« e @ -02 k=00585 0.2="251n(1+0.05858)
= 0.4 A=138 oy=0-2.K=0. .2=7gIn{1+0.058
a

w . AU —0.4.K=0.145 0.4 = § In(1+0.1458)
o 3

o

L 02 ® ,_m(i-oias8) o,

1 (0 In{1 +0.05858) ’

e A=4.2

- L‘;. =0.037 In{1+3733K) '

0._
1 .. e 4 .
0.00! 0.0! 0.1 ! 10

DAMAGE PARAMETER, ¥

Figure 9. — Plot of Au/o,,,’ vs. k for cyclic strain data (A = constant).

10



as shown on figure 9; an average or weighted av-
erage may be necessary. For this example, the cal-
culation of the strain path {fig. 8) may be represented
by:

x = exp(1517y¢) (32)

The constants A, and B, remain to be found. A new
graph may be produced using equation 26 to trans-
form the data to a form that may facilitate formulation
of a single function. Figure 9 shows this transfor-
mation. As can be seen in the graph, the best fit for
the data is two straight lines, and an average value
is introduced as shown on the figure. Alternatively,
the transformation may be carried out by using dif-
ferent values of A for different stress ranges. The
best bilinear fit using this method is on figure 10, and
it can be seen on the figure that this fit is significantly
better. It is this method of varying values of A and
constants A, and B, for ranges of k that is imple-
mented in this work.

For triaxial experimental data, a similar procedure can
be adopted. Typical data, which were developed by
the Bureau’s Soils Testing Section in 1981 [3], are
shown in tables 1 through 5. In these tables, note
that the axial strain in percent is tabulated from the

test data. To calculate shear strain for undrained con-
ditions, the relationship used is:
(33)

Ymax = % 88
where g, equals axial strain. Should this be an inap-
propriate assumption, another relationship of axial
strain to shear strain must be devised. The strain
path, {, is then calculated as twice the shear strain
(1 cycle) accumulated for each cycle. The values may
be plotted to find values of the transformation pa-
rameter, A. In this case, a single value is calculated
from:

In
_ I (&/5) aa
W= "
for: y, = 0.16, ¢, = 0.50, and
for: y, = 0.20, {, = 0.185 (35)
Therefore:
In (0.185/0.50)
= =2486 (36)

0.16 — 0.20

The remaining calculations for A, and B, are identical
to that displayed for the cyclic strain data shown on
figures 9 and 10. They are shown for this example
on figures 11 and 12.
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Figure 10. — Plot of Au/o,, vs. k for cyclic strain data (A4 = variable).
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CYCLIC TRIAXIAL TEST PREDICTION

To test the implemented models, a comparison with
a triaxial test was made. Data for this test were ob-
tained at the Bureau laboratory, using 2-inch-diam-
eter samples subjected to 10 hertz. To simulate the
triaxial test, an axisymmetric finite element mesh was
used as shown on figure 13. The confining pressure
was first applied in a loading sequence, then axial
loads were applied. The results plotted for elements
63 or 64 and node 88 {(unless otherwise noted) are
assumed to represent typical results.

Results for the hyperbolic model are shown on figure
14. Note the ability of the hyperbolic model to model
the elbow in the displacements curve. This shows
the ability of the cyclic degradation parameter, dis-
cussed previously, to model the loss of strength in
the material. This was accomplished by degrading
the strength 10 percent in each load cycle, as was
observed in the lab data.

Figure 15 shows the use of the cap model and the
endochronic pore pressure model to simulate the
same cyclic triaxial test. In this case, element 55 (an
edge element) closely models the pore pressure
while element 63 (a central element) produces an
underprediction of approximately 20 percent at the

12

higher pore pressures. Note that the measurements
taken during the test are at the edge of the specimen
or in a location similar to that of element 55. This
model shows contours of pore pressures that are
greater and that approach liquefaction near the ends
and less in the interior. The model results certainly
show the correct pattern of an onset of pore pressure
for both elements. Quantitatively, these results are
reasonably close to the actual results. The displace-
ments modeled do not show an elbow as the hy-
perbolic model did, but they do provide an
approximate representation of the displacements.

DAMS SUBJECTED TO EARTHQUAKES
Oroville Dam

Oroville Dam is an embankment structure on the
western slope of the Sierra Nevada, approximately
85 miles north of Sacramento, California. It is 770
feet high and 5,600 feet long between abutments.
The maximum cross section is shown on figure 16.
Zoning in the dam consists of an impervious core,
gravel shells, and transition zones. Materials in the
shells were obtained from extensive fields of tailings
remaining from gold mining operations. The dam was
completed in 1967, after a 5-year construction
period.
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Construction of the dam was done directly on a very
hard and sound amphibolite rock. Foundation move-
ments were small compared with movements in the
dam throughout the construction period [14].

At the time of the earthquake, the water elevation in
the reservoir was 900 feet. No seepage problems
were reported before the event. The dam was in-
strumented extensively, and normal seepage and
movements were observed for the dam up to the
time of the earthquake.

The major earthquake pulse, which occurred on Au-
gust 1, 1975, had a 5.7 magnitude. Instruments on
the dam were triggered and the acceleration history
was recorded. Unfortunately, because of a power
failure, part of the record was lost. The missing por-
tions of the earthquake record were replaced by us-
ing acceleration records from subsequent quakes,
which in turn were readjusted to conform to the given
magnitude. The entire history is shown on figure 16.
Displacements, which were measured by instru-
ments in the dam during the earthquake, were quite
small. '
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Properties used in each model are presented in table
6. Hyperbolic properties were selected for materials
that were most closely related to Oroville materials
based on the description by Duncan et al. [8]. Pa-
rameters for the cap model were not available but
were calculated or chosen from published literature.
This process for determining the cap model param-
eters for Oroville Dam is contained in appendix B.
Note that for displacements this small, a linear elastic
material model would undoubtedly have produced
good results. Thus, the ability of the described ma-
terial models to predict nearly elastic behavior is ver-
ified by this case.

An analysis was done to simulate gravity loads in the
mesh in a single step. Previous analyses by Kulhawy
and Duncan [14] suggested the use of construction
layers to best simulate the gravity effects in the dam.
A comparison of results for chosen elements (circled
stress values) and the previous analysis are shown
on figure 17. It can be seen from this figure that the
stress results are closely approximated, thus pro-
ducing the correct in situ conditions to be used before
the occurrence of the earthquake. Note that this also



(1) Elements
1 Node
TRIAXIAL TEST
0+0 :
B 1/’3_<‘_ _ﬁ/\Aﬁézznmefrlc
9~ ;‘; Xss 4 5 —-—
o6, (19 [57(30) |gg (54 89 (1) |30 =
ol (D 82039 (8353 (84 (7D o5 =
SHCENCENCERCHTP.
al (9 [52(33 13G) [1a(69 |15 =
6 (9 (6732 l68(59 16968 70
6l m 62 3! 63@ 646D o5 =
s, (12 5730 |sa(49 |59 (69 |60 =
s () |52 (29 s3 (49 54 (69 ls5 =03
s, (19 13729 | 49649 150 ——
al (9 [2@) (5@ [46) |s -
6, (8) 3729 3049 [30(69 |40
sl (D) 152229 [543 |34(6) |35 =
26 (8) 2729 |s(4 29 (60 |30 =
al (5) 1222 [o3(4) 12459 o5 =
"IOMRIC 18040 11958 120 =
a3 12@) [13G9 145D |15 =
6l (2 [1 @) s 39 |3 59 10—
L) (9 [ G) s B9 js =

CYCLIC TRIAXIAL TEST IDEALIZATION

Figure 13. — Cyclic triaxial test idealization.

implies that no significant nonlinear behavior has oc-
curred under this loading from large displacements
or from the stress path.

In all of the finite element analyses, accelerations are
applied in the base of the mesh, and the Newmark
method is used to calculate accelerations throughout
the mesh. Points from time steps of 0.1 second from
the Oroville analysis are plotted on the actual meas-
ured crest accelerations on figure 18. It can be seen
from this plot that accelerations of appropriate sign,
magnitude, and period are calculated. Hysteretic ef-
fects of loading and unloading are approximated by
the numerical material model. Stiffening or loss of
stiffness are correctly approximated with this anal-
ysis to match the measured and predicted results.

The displacements predicted for the Oroville Dam
case are nearly 1 inch of movement for static and

14

dynamic effects. In the actual field case, the dam
reacted to the earthquake loads elastically {or
showed no permanent displacement). The analysis
can be considered to be elastic with deflections of
this magnitude. Likewise, the cap model predicts
nonfailure for this case under dynamic loading. The
displacements of the model show distortions of less
than 2 feet, which are greater than those imposed
in the field loading. However, this was primarily
caused by the crudeness of the selection of material
model parameters. Thus, it can be seen that the pre-
dictions are essentially the same as the available
measured parameters for the dam.

Sheffield Dam

The Sheffield Dam was an embankment dam, 720
feet long and 25 feet high, located in a ravine north
of Santa Barbara, California. A representative section
of its maximum cross section is shown on figure 19
[21]. Construction of the dam was completed during
the winter of 1917.

Material for the dam was excavated from the res-
ervoir and compacted by the movement of the con-
struction equipment. The main portion of the dam
was composed of a mixture of silty sand and sandy
silt containing some cobbles and boulders. On the
upstream face, a 4-foot-thick blanket of clay that ex-
tended 10 feet into the foundation was constructed.
A 5-inch concrete facing was placed over the clay
blanket.

The foundation is a terrace alluvium 4 to 10 feet thick
overlying sandstone bedrock. Drilling done by the
Corps of Engineers revealed a silty sand and sandy
silt soil containing some material 3 to 6 inches in
diameter. Some thin layers of clayey sand and gen-
erally sandy clay were found. The upper 1 to 1.5 feet
of foundation soil were found to be slightly looser
than the deeper material.

At the time of the earthquake, the depth of the res-
ervoir was 15 to 18 feet. Seepage had been noted
at the toe of the downstream slope before the earth-
quake. Inspectors of the dam believed that the foun-
dation of the dam had become saturated by
percolation. The assumed water level is shown on
figure 19 [21].

The main shock of the Santa Barbara earthquake oc-
curred at 6:42 a.m. on June 29, 1925. No recorders
for motions existed at that time. However, on the
basis of records at distant stations, the earthquake
was assigned a magnitude rating of 6.3, with an ep-
icenter located 7 miles northwest of the damsite. To
obtain a representative accelerogram for this site, the
1940 EI Centro earthquake was selected [21] be-
cause it occurred at a similar epicentral recording dis-
tance as the Santa Barbara quake. The El Centro
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earthquake record was scaled for ordinate values of
0.15 g and abscissa values showing a predominant
frequency of 3 cycles/s continuing for 15 seconds,
as shown on figure 19.

The failure of the embankment was reported as “‘a
great mass of the center,”” about 300 feet in length,
sliding downstream about 100 feet. It is assumed
that the sliding occurred on a surface near the base
of the embankment [21]. The sliding was related to
a severe reduction in soil strength and resulting in-
creases in pore water pressure induced by the earth-
quake loading.

The material properties for Sheffield Dam were se-
lected using methods similar to those discussed for
Oroville Dam. They are listed in table 7. No properties
were available for liquefaction simulation using the
endochronic model, so the values calculated for the
San Fernando dams were used.

To correctly model the Sheffield case history, a com-
plete failure had to be predicted. The displacement
configurations calculated by the hyperbolic model at
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various time steps during the first second of earth-
quake loading are shown on figures 20, 21, and 22.
Note that the displacements are shown at the same
scale as the dam geometry. In these figures it can
be seen how the mesh must deform to model a com-
plete failure. On figure 21, a definite toe failure ap-
pears (at time 0.530 second). By time 0.630 second
(fig. 22), complete downstream movement has be-
gun throughout the dam.

Displacement vectors are shown on figure 23 for the
displaced mesh on figure 22 at time 0.630 second.
The toe bulging is evident from the displacement vec-
tors on the downstream slope of the dam. High shear
zones, or shear surfaces, are bounded by arrows in
opposite directions. One such zone is shown near
the bottom of the dam exiting low on the upstream
face. This location is consistent with observations
after the failure of the dam. A small vertical move-
ment is shown under the crest of the dam. This zone
exists because of the change in direction of motion
between the upstream and downstream portiong of
the dam, i.e. down and downstream on the left side
of the dam, and down and upstream on the right side
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of the dam. Displacements of the failed dam cannot
be predicted using the small deformation theory.
Geometric nonlinearities would improve the analysis,
but would require more costly and elaborate com-
puter methods. The prediction definitely shows a
complete downstream failure as occurred in the field,
but it cannot calculate the final position of the dam
at the end of the earthquake. Note, however, that in
support of design or in safety evaluations, the final
position is inconsequential, only the fact that the dam
will fail is important.

The failure of the dam is predicted at time 1.003
seconds or after 200 time steps. Exactly when the
dam actually failed during the earthquake is not
known, but it is unlikely that failure occurred as rap-
idly as predicted here. Pore pressure parameters
taken from the San Fernando dams are probably too
large, thus producing an onset of liquefaction too
quickly. Dissipation of pore pressure caused by di-
lation is not used in the pore pressure model, and
thus buildup and dispersion of zones of liquefied ma-
terial require longer earthquake loading in the actual
case to produce a failure. However, as mentioned
before, the time of failure is not as important in sup-
port of design as the fact that the failure will occur.
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As will be shown in the Upper San Fernando Dam
case presented later, failures are not predicted for all
cases.

Of additional interest is how the onset of liquefaction
occurs. The mesh for Sheffield Dam contains only
one layer of liquefiable elements; therefore, this case
is easy to study. Figure 24 shows the progression
of liquefaction as a function of time step through the
mesh. Note on the figure that elements under ap-
proximately one-half the height of the dam liquefy
first, and the zone becomes larger toward the edges
of the dam as the earthquake loading continues. This
means that zones subjected to the highest load, and
thus the highest strain, liquefy first.

Cap model results also predict complete failure of the
dam. On figure 25 (time 0.405 second), it can be
seen that a toe bulge failure and a disruption under
the concrete blanket has occurred. This is completely
consistent with the failure surface present after the
earthquake. Note also the failure in the foundation,
which was the area suspected of resulting in ultimate
failure. Figure 26 (time 0.430 second), shows a com-
plete failure of this region. At later times, a complete
displacement of the downstream portion of the dam
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Figure 16. — Maximum cross section and earthquake record of Oroville Dam. From [14].

occurs. Note how there is only small disruption in
areas away from major failure regions. This is con-
sistent with the belief that a slip surface occurred
through the foundation. A complete failure which, of
course, occurred is predicted for the time 0.430 sec-
ond after the beginning of the earthquake. This time
is probably incorrect, as discussed before concerning
the hyperbolic model. The prediction of failure is,
however, correct.

Displacement vectors are shown on figure 27 for the
distorted mesh on figure 26 (time 0.430 second). A
failure mode showing. the division of the dam into
two distinct regions is observed. The upstream por-
tion of the dam is sliding upstream, and the down-

17

stream portion of the dam is sliding downstream.
Under this failure mode, the dam would flatten and
not necessarily slide downstream as observed in the
field. Note, however, that the predominant vectors
are downstream. Assuming this continues, portions
of the upstream slope would also slide, thus follow-
ing more closely the observed failure mechanism.

Lower San Fernando Dam

Lower San Fernando Dam was an embankment dam,
2,080 feet long and 142 feet high at the maximum
section. A representative section of the maximum
cross section is shown on figure 28 [22]. The con-
struction began in 1912 when hydraulic fill methods
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Figure 19. — Cross section and earthquake record of Sheffield Dam.

From [21].

were used for approximately the first 100 feet of
elevation. The dam was raised several times and con-
struction continued through 1930. In 1915, ground-
up shale was used for approximately 7 feet of fill.
This section was then capped by a layer of rolled fill.
The dam was raised in 1920, 1924, and 1929-30,
by adding fill to the dam. In 1940, a rolled-earth berm
was added downstream.

The foundation for the channel section of the dam
and for lower portions of the abutments consists of
recent alluvium made up of stiff clay with lenses of
sand and gravel. Beneath the dam, a maximum thick-
ness of 35 feet of this material exists. Below this
alluvium and in the upper elevations of the abutment
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are shales, siltstones, and sandstones. The upper 30
to 50 feet of the left abutment shales and siltstones
are weathered to varying degrees and contain nu-
merous gypsum-filled seams along joints and bed-
ding planes. The right abutment is underlain by a
massive deposit of friable sandstone.

At the time of the earthquake in 1971, the elevation
of the reservoir was 1110 feet, or 115 feet of head.
Excessive seepage had been a problem in the left
abutment until extensive grouting was completed in
1964.

At 6:00 a.m. on February 9, 1971, an earthquake of
6.6 Richter magnitude occurred. The epicenter of the
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Figure 23. — Displacement vectors for hyperbolic prediction for time 0.630 second — Sheffield Dam.
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Figure 27. - Displacement vectors for cap model prediction for time 0.430 second — Sheffield Dam.
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Figure 28. — Maximum cross section and earthquake record of Lower San Fernando Dam. From [22].

earthquake was 8% miles from the dam and about
8 miles deep. A thrust faulting that occurred during
the earthquake had features resembling a fault break
traced to the eastern edge of Lower Van Norman
Reservoir. The strong-motion shaking was recorded
during the earthquake. An accelerogram for the dam
is shown on figure 28.

After the earthquake, the upstream portion of the
dam was below water and below the scarp that re-
mained only a few feet above the water. Numerous
longitudinal cracks were observed downstream of
the scarp and at lower elevations. Seepage through
the embankment was turbid after the earthquake, but
cleared within 36 hours. Piezometric pressures rose
but returned to normal or lower as the reservoir el-
evation dropped. It was surmised from observations
that a major zone of material within the dam liquefied.
This zone was contained within a zone of the dam
that was not liquefied. As movement began, the
outer zone broke into blocks and was transported
downstream. An interpretation of the failure is
shown on figure 29 [22].

Recent centrifugal model tests by Scott [20] show
failures on dry embankments that are similar to the
Lower San Fernando Dam failure. Conclusions based
on this work are that shear distortions occur during
earthquake loading with subsequent volume
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changes. It is these volume changes that result in
pore pressure increases. This pore pressure gener-
ation method is completely consistent with the cal-
culation procedures used in the finite element method
presented in this report.

Material strengths used in the analysis are shown in
table 8. Figure 30 shows the results using the hy-
perbolic model superimposed on the Seed et al. [22]
interpretation of the failure of the dam ({fig. 29). On
figure 30, it can be seen that the crest of the dam
moves significantly upstream and the head of the
displacement is on the downstream slope. A steep
backrest angle and discontinuity at the head of the
slide are not modeled exactly because of continuity
within the element connectivities. However, the lo-
cation of the head of the slide and the loss of the
crest are approximated well by this model. Down-
stream, a bulging of the slope that simulates the ac-
tual field phenomena is modeled. The flow of material
at the toe, forming a mound, is not predicted with
the model because of the continuity of elements and
small deformation theory. Within the dam, shears
and vertical distortions closely model the field case.
Overall, the simulation using the hyperbolic model is
quite good.

Results shown on figure 30 are for the time 2.5 sec-
onds after the beginning of the earthquake. After this
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Figure 30. — Hyperbolic prediction with interpreted failure — Lower San Fernando Dam.

time the model continues to deflect and becomes
numerically unstable. Therefore, the deflection at 2.5
seconds is the greatest the model can predict. The
small deflection theory within this model and the use
of a continuum approximation cannot be expected
to model ground flow. It is not known at exactly
which point in the earthquake the major failure oc-
curred. This time (2.5 seconds) represents the first
peak in the acceleration, but this is not the maximum
acceleration of the record. If the blocks within the
dam did indeed move at this time, then further move-
ment was prohibited by failure to transmit load and
shear distortion through a layer of liquefied material
at the base of the dam. Seed et al. [22] theorize that
such a layer did exist below the displaced material.

Displacement vectors for the hyperbolic model are
shown on figure 31. Vectors of larger magnitude are
shown at the crest, on the downstream slope, and
at the toe of the movement on the upstream slope.
These regions of movement are consistent with the
idea of blocks being formed as shown on figure 29.
Only the final cross section, discussed previously,
can be used in a quantitative comparison with meas-
ured results.

The cap model predicts a similar phenomenon for the
failure, as can be seen on figure 32. A downstream
area is also predicted as failing (fig. 32). Such a failure
was not noted during the actual field case, but is
generated in this model by the crudely estimated ma-
terial properties. Again, in this case later times pro-
duce very large deformations. However, a reasonable
prediction can be seen before the numerical
instability.

Figure 33 shows displacement vectors computed us-
ing the cap model. These vectors indicate that dif-
ferent blocks of material are moving in the mass. As
before, this is consistent with figure 29, but cannot
be verified quantitatively.

Upper San Fernando Dam

Upper San Fernando Dam was constructed in the
same region and time span as Lower San Fernando
Dam, and it was constructed in approximately the
same way. The embankment was placed directly on
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alluvial soil. Recent deposits of alluvium in the foun-
dation of the dam consist of a 50- to 60-foot layer
of stiff clays and clayey gravels. Below the alluvium
and in the abutments are poorly cemented conglom-
eritic sandstones and coarse-grained sandstones.
The main body of the dam was placed using ponding
techniques to elevation 1200.0in 1921. An elevation
of 1218.0 feet was reached by placing compacted
dry fill on the upstream side. A cross section of the
embankment maximum cross section is shown on
figure 34.

At the time of the earthquake, the elevation of the
reservoir was approximately 1213 feet. This repre-
sents a head of approximately 70 feet.

Damage in the dam resulted in a movement at the
crest of 5 feet downstream with a 3-foot drop. In
addition, longitudinal cracks were observed running
the entire length of the dam. At the downstream toe
of the dam, a 2-foot-high pressure ridge developed.
Noticeable downstream movements occurred on
structures in the dam. Water levels in piezometers
observed during and immediately after the earth-
quake are of particular interest. The effect of the
shaking was an immediate rise in water levels. The
rises recorded were measured after the earthquake
and ranged from 8.5 to 17.0 feet of water. In the
center of the dam, water levels exceeded the top
elevation of the piezometers and could not be re-
corded. Observations suggest that high pore pres-
sures and lowered strengths were the reason for the
movements in the dam.

Hyperbolic material properties used for the Upper
San Fernando Dam analysis were taken from param-
eters used by Seed, et al. [22]. Cap parameters were
calculated or chosen as discussed for Oroville Dam.
Values used are shown in table 9. Pore pressure pa-
rameters were the same as for Lower San Fernando
Dam. The hydraulic fill was considered as a liquefiable
zone.

A downstream slide displacing the crest approxi-
mately 6 feet will provide a correct prediction. Thus,
this case history tests the ability to apply both the
nonlinear models and the pore pressure model and
not induce a complete failure of the mesh. This tests



Figure 31. — Displacement vectors for hyperbolic prediction — Lower San Fernando Dam.
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Figure 33. — Displacement vectors for cap model — Lower San Fernando Dam.

the final predictive capability necessary for the
models.

The hyperbolic model displacement prediction is
shown on figures 35 and 36 for times 0.13 and 0.18
second, respectively. From these figures it can be
seen that the outset of failure is clearly in the down-
stream direction. On figure 36, note the development
of a zone of disruption in the downstream toe and
foundation contact. However, the distortion of the
mesh incorrectly shows a complete failure.

Results for the cap model at time 0.705 second are
shown on figure 37. The strain-hardening capability
of the model allows displacement, as noted by the
downstream bulge, without becoming rigid plastic
and numerically unstable. In addition, when the plas-
tic volumetric strains become large the elastic
Young’'s modulus is used to avoid numerical insta-
bility. This allows approximations for conditions after
shear collapse with high tensile loadings. Typical dis-
placements using this technique are shown on figure
38 for time 2.955 seconds. The first major accel-
eration peak of the earthquake has passed by this
time. As can be seen on figure 31, displacements
can be large with large loads using this technique,
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and a stiffer modulus may be appropriate. The use
of small deflection theory can be inappropriate in
these cases. A special condition flag is printed with
the output to allow users to interpret results. Figure
39 portrays displacement vectors using the cap
model. For this case, a clear rotational type mass
moving downstream is evident. From the cross sec-
tion that existed after the failure, this is the probable
mode of movement.

CONCLUSIONS

The finite element analysis method presented can be
used to model effective stress phenomena during
static and dynamic loading. Both laboratory tests and
actual dams subjected to earthquakes were analyzed
and reasonable predictions were found for displace-
ments and liquefactions. The method uses a single
program, eliminating the need (and assumptions in-
volved) for several independent computer codes.

The finite element method produces failure and non-
failure predictions and a wealth of stress, pore pres-
sure, and displacement information. The use of small
deformation theory is a limitation, but reasonable
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Figure 34. — Maximum cross section and earthquake record of Upper San Fernando Dam. From [22].

predictions were made for all cases in this report in
spite of this limitation. Thus, a complete solution of
all parameters is found within a single analysis. An-
other advantage of the finite element method is that
it predicts displacements, stresses, and pore pres-
sures, all of which are measurable in the field. Thus,
it is possible throughout the life of the structure to
study observed phenomena with finite element pro-
cedures. Furthermore, failure is not necessary to
check predictions with actual field cases.
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The disadvantages to the finite element method are
the amount of work required to prepare the input,
the volume of output that can be produced, and the
computer time required to perform the analysis.
However, for major structures, these investments are
clearly small compared with the cost of the project.

The benefit gained in understanding the behavior of
the structure definitely warrants the use of the finite
element analysis method.



Lc

1
H 1 B U R

Figure 35. — Hyperbolic prediction for time 0.13 second — Upper San Fernando Dam.

- —— -

T T 7
| ]r l/[ } -
1 )

l
N

L1
bt
-

Figure 37. — Cap prediction for time 0.705 second — Upper San Fernando Dam.
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Figure 38. — Cap prediction for time 2.955 seconds — Upper San Fernando Dam.
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Figure 39. — Displacement vectors for cap model — Upper San Fernando Dam.




Table 1. — Cyclic triaxial test results — Sample B2-100-2. From [3].

Double amp.shear strain

No.of 4Y" 0y Strain,  Ynax=1.5¢, ¢
cycles o, 2 % % % b4 K
1 0.20 0.20 0.00 0.00 0.00 0.000 0.00
2 .27 .20 .20 .30 .60 .006 .87
3 31 .20 .40 .60 1.20 .018 2.60
4 36 .20 .60 .90 1.80 .036 5.20
5 40 .20 .60 90 1.80 .054 7.79
6 44 20 .60 .90 1.80 .072 10.39
7 49 .20 .80 1.20 2.40 .096 13.85
8 b3 .20 .80 1.20 2.40 12 17.32
9 b8 .20 1.40 2.10 4.20 162 23.38
10 .64 .20 2.40 3.60 7.20 .234 33.77
11 J2 .20 6.40 9.60 19.20 426 61.48
12 79 .20 15.70 23.55 47.10 .897 129.46

13 .83 .20 - - -

Table 2. — Cyclic triaxial test results — Sample B2-100-3. From [3].

Double amp. shear strain

No. of 4Y" o4 Strain,  Yma =156, &

cycles o, 2 % % % pX4 K
1 013 0.19 0.40 0.60 1.20 0.012 1.35
2 20 .19 .40 .60 1.20 .024 2.70
3 24 19 .40 .60 1.20 .036 4.05
4 29 19 .40 .60 1.20 .048 5.40
5 33 .19 .60 .90 1.80 .066 7.43
6 37 19 .60 .90 1.80 .084 9.45
7 40 19 .60 .90 1.80 .102 11.48
8 44 19 .80 1.20 240 126 14.18
9 48 19 .80 1.20 240 .150 16.88
10 b2 19 1.00 1.50 3.00 .180 20.26
11 57 19 1.00 1.50 3.00 .21 23.64
12 61 .19 1.20 1.80 3.60 .246 27.69
13 .67 .19 1.80 2.70 540 .30 33.77
14 73 19 2.79 4.19 8:38 .3838 43.20
15 .81 .19 6.58 9.87 19.74 5812 65.41
16 .87 .19 13.97 20.96 4192 1.0004 1126.0
17 .89 .19 23.54 35.31 70.62 1.7066 192.08

* 5., = 30 Ib/in2.

Table 3. — Cyclic triaxial test results — Sample B2-100-4. From [3].

Double amp. shear strain

No.of 4Y" 04 Strain,  Ypa=1.5¢. &

cycles o, 2 % % % bX4 K
1 0.23 0.23 1.00 1.50 3.00 0.030 9.13
2 b7 .23 5.60 8.40 16.80 .198 60.29
3 90 .23 24.00 36.0 72.00 918 279.28

* 6,0 = 30 Ib/in?.
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Table 4. — Cyclic triaxial test results — Sample B2-100-6. From [3].

Double amp. shear strain

*
Au Oy

No.of ——  Ya Strain, Y= 1.5¢,, 4
cycles o, 2 % % % L K

1 0.13 0.16 0.20 0.30 0.60 0.006 0.32

2 17 16 .30 45 90 .015 .80

3 20 16 .40 60 1.20 .027 1.44

4 22 16 .50 75 1.560 .042 2.24

5 24 16 .60 90 1.80 .06 3.20

6 27 16 .62 93 1.86 .0786 4.20

7 29 16 .63 95 1.90 .0976 5.21

8 31 16 .64 926 192 1168 6.24

9 33 .16 .66 99 1.98 .1366 7.29
10 34 .16 .67 1.01 2,02 .1568 8.37
1 35 .16 .68 1.02 204 1772 9.46
12 37 .16 .70 1.05 210 .1982 10.58
13 38 .16 71 1.07 2.14 2196 11.72
14 40 .16 73 1.10 2.20 .2416 12.90
15 41 16 74 1.1 2.22 .2638 14.08
16 43 .16 75 1.13 226 .2864 15.29
17 44 16 76 1.14 2.28 .3092 16.51
18 46 .16 77 1.16 232 3324 17.75
19 47 .16 78 1.17 2.34 35658 19.00
20 49 .16 79 1.19 2.38 .3796 20.29
21 .50 16 80 1.20 240 4036 2155
22 52 16 83 1.25 250 .4286 22.88
23 53 16 86 1.29 258 4544 24.26
24 .b5 16 89 1.34 2.68 .4812 25.69
25 .57 16 92 1.38 2,76 .5088 27.16
26 .59 16 95 1.42 2.84 5372 28.68
27 .60 16 99 1.48 296 5668 30.26
28 .62 16 99 1.48 296 .5964 31.84
29 .64 16 .99 1.48 296 .626 33.42
30 .66 16 1.10 1.65 3.30 .659 35.18
31 .69 16 1.2 1.80 3.60 .695 37.11
32 72 16 1.5 2.25 450 .74 39.51
33 .75 16 1.80 2.70 540 794 42.39
34 79 16 3.1 4.65 9.30 .887 47.36
35 .82 16 4.4 6.60 13.20 1.019 54.40
36 .85 16 8.15 12.23 24.46 1.2636 67.46
37 .87 16 1.9 17.85 35.70 1.6206 86.52
38 .89 16 18.5 27.75 55,50 2.1756 116.16
39 .90 16 22.0 33.00 66.00 2.8356 151.39

* 0,5 = 30 Ib/in2.
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Table 5. — Cyclic triaxial test results — Sample B2-100-6. From [3].

Double amp. shear strain
No.of 44" 04 Strain,  Yna=1.5&, &

cycles o, 2 % % % py4 K
1 0.17 0.23 0.20 0.30 0.60 0.006 1.83
2 26 .23 .40 .60 1.20 .018 5.48
3 .33 .23 .60 .90 1.80 .036 10.95
4 .38 .23 .80 1.20 2.40 .06 18.25
5 43 .23 1.00 1.50 3.00 .09 27.38
6 b0 .23 1.20 1.80 3.60 126 38.33
7 .57 .23 1.40 2.10 420 .168 51.11
8 .66 .23 2.00 3.00 6.00 .228 69.36
9 77 .23 444 6.60 13.20 .360 109.52
10 .87 .23 12.00 18.00 36.00 .72 219.05
1 .89 .23 22.00 33.00 66.00 1.38 419.84

* o, = 30 Ib/in2.

Table 6. — Oroville Dam strength parameters.

Parameter Zone
Shell Transition Core Concrete Foundation
Unit weight, Ib/ft3 150 150 150 162
Strength parameters,
¢, Ib/ft? 0 0 2,640 4,320
[ 43.5 435 25.1 0
Linear parameters
E;, Ib/ft? 360,000,000
v 0.27
Hyperbolic parameters
K 3,780 3,350 345 137,500
n 0.19 0.19 0.76 0
R .76 .76 .88 1.0
Ky 175 100 145 40,000
m 0.2 0.2 0.2 0.0
K, 9,000 3,000 1,000 30,000
E;, Ib/ft2 30,711,460 30,711,460 30,711,460 1,000,000,000
B;, \b/ft2 10,000,000 10,000,000 10,000,000 300,000,000
Cap model
Type (1=soil) 1 1 1
Tension cutoff, Ib/ft2 0 0 0
E;, Ib/ft2 12,789,411 11,334,531 4,772,073
v; 0.25 0.25 0.25
CA 28,896 28,896 28,896
CB 0.8 0.8 0.8
cc 28,896 28,896 30,940
CR 476 476 8.13
cD 0.001 0.001 0.001
cw .001 .001 .001
Xint -50,050 -50,050 -50,050
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Table 7. — Sheffield Dam strength parameters.

Parameter Zone
All soil above All soil below Foundation
Unit weight, Ib/ft3 107 120 120
Strength parameters,
c, Ib/ft? 512 205 - -
¢ 26 13 -
Linear parameters
E, Ib/ft2 3,279,741
v 0.25
Hyperbolic parameters
K 800 800
n 0.33 0.33
R, 0.62 0.62
K, 650 650
m 0 0
K, 1,600 1,600
E, Ib/ft2 3,250,000 3,250,000
B, Ib/ft? 1,000,000 1,000,000
Cap model
Type (1=soil) 1 1
Tension cutoff, Ib/ft? 0 (0]
E;, Ib/ft? 3,279,740 3,279,740
v; 0.25 0.25
CA 938 938
CB 0.8 0.8
cc 1,117 1,336
CR 7.902 1,486
CcD 0.001 0.001
cw 0.001 0.001
Xint -1,625 -1,625
Endochronic pore
pressure constants
A 2,914
B 1,904
K 0.046
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Table 8. — Lower San Fernando Dam strength parameters.

Parameter Zone
Rolled fill Ground shale Rolled berm Hydraulic fill Clay core Foundation
Dry unit weight, v, 125 106 125 106 106 110
Buoyant unit weight, 7, 78 64 78 64 64 68
Strength parameters,
c, Ib/ft? 2,600 0 2,600 o 0 0
o 25 37 25 37 37 38
Linear parameters, Ib/ft?
E, Ib/ft? 30,711,500
v 0.41
Hyperbolic parameters
300 510 300 510 510
n 0.76 0.54 0.76 0.54 0.54
R .90 72 .90 72 71
K, 750 1,900 740 1,900 1,900
m -0.96 -1.1 -0.76 -1.1 -1.1
K. 900 1,260 900 1,260 1,260
E;, Ib/f? 100,000 32,433 100,000 32,433 32,433
B;, Ib/ft2 33,333 10,811 33,333 10,811 10,811
Cap model
Type (1=soil) 1 1 1 1 1
Tension cutoff, Ib/ft? 0] 0] 0 0 0o
E;, b/ft? 100,000. 973,000. 100,000. 973,000. 973,000.
v 0.30 0.33 0.30 0.33 0.33
CA 600.0 6,000.0 600.0 6,000.0 6.000.0
CB 0.8 0.8 0.8 0.8 0.8
cc 3.200.0 6,000.0 3.200.0 6,000.0 6.000.0
CR 5.32 5.32 5.32 5.32 5.32
cD 0.001 0.001 0.001 0.001 0.001
cw .001 .001 .001 .001 .001
Xint -7,200.0 -7,200.0 -7.200.0 -7.,200.0 -7.200.0
Endochronic pore
pressure constants
A 2,914
B 1,904

K

0.046
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Table A.1. — Hyperbolic parameters for drained conditions. From [24].

Init, Relative Stress C Frictlon
Soll Sall description vold dens ity range (TSF) anqle K n R¢ Kb m
lratio {TSF)

GwW Conglomerate Rockfilt (Netzahu., Dam) 0,39 70 1.9 - 25.5 0. 50 (10) 540 0.43 0,64 135 0,34
[e1] Granltic Gnelss Rockflll (Mica Dam) 0.32 95 5.1 - 25.6 0. 44 (9) 210 0.51 0.64 100 0,34
GW Quartzlite Rocktlll (Furnas Dam Shell) 4,1 - 36,9 0. 49 (6) 560 0,48 0.65 330 0,33
GW Quartzite Rockf11l (Furnas Dam Transit) 4,1 - 36,9 0. 5% (7) 950 0.52 0,59 470 0.52
Gw Furnas Dam Trans!tlon 4,1 - 36,9 0. 50 (7) 690 0.57 0.51 360 0,57
Gw Pinzandapan Gravet 0.34 65 0.4 - 26,5 0, 51 (9) 690 0.45 0.59 170 0,22
(¢ Diorite Rocktilt (EV Inflerntilo Dam) 0,56 50 0.4 - 17,0 0. 46 (9) 340 0.28 0.71% 52 0.18
GP Sandy Grave! (Mica Dam Shell) 50 Te2 = 32.5 0. 41 (3) 420 0.50 0,78 125 0,46
GP Basalt Rocktill 0.3 95 5.1 - 25,6 0. 52 (10) 450 0.37 0.61 255 0,18
GP Sttty Sandy Gravel {(Orov!ile Dam) 0.21 100 9,0 - 46.8 0. 53 (8) 1300 0.40 0.72 900 0,22
GP Amphibolite Gravel (Oroviiie Dam Shell) 0.2 100 2,2 - 28.6 0. 51 (6) 1780 0.39 0.67 1300 0,16
GP Crushed Basaltic Rock (Round Butte Dam) 99 2,0 - t4.1 0. 51 (14) 410 0.21 0.71 195 0
GP Sandy Grave! (Rowallan Dam) 0.233 100 1.8 - 10.8 0. 58 (10) 2500 0.21 0,75 1400 0
GC Ctayey Grave! (New Hogan Dam Core) 1,1 - 4,3 0.28 19 99 0.70 0.86 45 0
Sw Arglitite Rockfilt (Pyramid Dam Shell) 0.46 100 2,2 - 46.8 0. 53 (9 1600 0.08 0,72 600 0
Sw Crushed Ot1vine Basalt 0.43 100 2,2 - 46,8 0. 55 (10) 1000 0,22 0.70 390 0,14
Sw Siity Sand, Some Gravel (Round Butte Dam) 2.0 - 14,0 0. 38 (3) 260 0.50 0.76 100 0.5
S Venato Sandstone (0.5 In, max, size) 0.47 93 2,2 - 28.6 0. 43 (4) 330 0.46 0.51 110 0.46
sP Glaclial Cutwash Sand 0.5 80 1.0 - 41,1 0. 44 (4) 190 0,70 0.57 190 0.35
SP Sacramento River Sand 0.87 38 1.0 - 41,1 0, 35 (2) 430 0,27 0.84 230 0,02
sP Sacramento River Sand 0,78 60 1.0 - 13,0 0. 37 (2) 410 0.69 0.90 260 0,15
SP Sacramento River Sand 0.71 78 1.0 - 41,1 0. 41 (5) 1100 0,36 0.85 900 0
spP Sacramento River Sand 0.6t 100 3.0 - 41.1 0, 45 (7) 1200 0.48 0,85 1500 0
SP Ham River Sand 0.82 loose 7.2 -281.9 0. 31 (2) 890 0.26 0.78 360 0,11
SP Ham River Sand 0.64 dense 7.2 - 7.3 0. 47 (D 1100 0.57 0.86 2250 0
sP Poorty Graded Sand (Port Allen Lock) 0.73 49 0.9 - 3.9 0. 39 () 410 0.65 0.84

sP Poor iy Graded Sand (Port Allen Lock) 0.65 73 0.9 - 3.9 0. 40 (1) 400 0.49 0.77

SP Poorly Graded Sand (Port Allen Lock) 0,57 98 0.9 - 3.9 0. 44 (4) 750 0,77 0.83

SP Coarse to Fine Sand (Round Butte Dam) 1.22 70 2.0 - 14,0 0. 39 (6) 280 0.37 0.7 95 0.2
sP fFumicecus Sand (Round Butte Dam) 77 2.0 - 14,1 0. 43 (1) 340 0.45 0.70 230 0,06
SP Fumi cecus Sand (Round Butte Dam) n 2,0 - 14,10 0. 49 (12) 650 0.38 0.77 380 0.05
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Table A.1. — Hyperbolic parameters for drained conditions. From [24]. — Continued

Init, Relative Stress [ Friction
Soll Soll description vold density range (TSF) angle K n R¢ Kp m
ratlo (TSF)
SP Fine Slilca Sand (Loose) 0.65 38 1.0 - 5.1 0. 30 (0) 280 0,65 0,93 -110 0.65
SP Fine Stilca Sand (Dense) 0.54 100 1.0 - 5,1 0. 37 (9 1400 0.74 0.90 1080 0,15
SP Monterey No. 0 Sand (Cyllnd. specimen) 0,78 27 0.3 1.2 0. 35 () 920 0.79 0.96 465 0,32
SP Monteraey No. 0 Sand (Cubical specimen) 0,78 27 0.3 - 1.2 0. 39 (0) 510 0,51 0.97 370 0.22
SP Monterey No. 0 Sand (Cytlnd. specimen) 0,57 98 0,3 - 1.2 0, 45 (3) 3200 0,78 0.92 1400 0.45
SP Montarey No. 0 Sand (Cubical specimen) 0.57 98 0,3 - 1,2 0. 47 (5) 1500 0,76  0.,N 1100 0.52
sP Basaltic Sand (Round Butte Dam) 2.0 - 14,0 0. 39 (13) 1600 0.08 0.63 750 ]
SM Slity Sand (Chatfleld Dam) 6,0 -~ 10,0 0. 37 () 100 1,07 0.62
SM Siity Gravelty Sand (Chatfield Dam) 6,0 -~ 10,0 0. 41 (0) 530 0.51 0.62 640 0
SM Sitty Sand w/Pebblas (Round Butte Dam) 2,0 - 14,0 0. 46 (8) 700 0,35 0.75
SM Siity Sand w/Pumlice (Round Butte Dam 2,0 - 13,7 0, 43 (8) 670 0.25 0,72 500 ]
SM Sitty Sand (Round Butte Dam) 2,0 - 14,1 0. 36 (5) 530 0.28 0.74 470 0
SM Si Ity Sand and Gravel (Round Butte Dam) 2,0 - 14,0 0. 36 (1) 800 0.20 0.67 600 0
SM-SC  Siity Clayey Sand (Mica Dam Core) 3.6 - 32,4 0.3t 33 700 0.37 0.80 280 0.19
SM-SC  Stity Ctayey Sand (Mlca Dam Core) 3.6 - 18,0 0.85 34 425 0.58 0,70 205 0.44
SM=-SC Siity Ctayey Sand (Mica Dam Core) 3,6 -~ 32,4 0.40 34 160 0.81 0.63 65 0.81
ML Cannonsviile SIIt (Und!sturbed) 0.57 1.5~ 1.4 0. 45 (6) 200 1.07 0.57 200 0.89
ML Sandy Slity w/Pumlce (Round Butte Dam) 2,0 - 13,9 0. 42 () 500 0.45 0,82 400 0
ML Sandy Slity w/Pumice (Round Butte Dam) 2.0 - 13.9 0. 36 (1) 530 0.35 0.7 520 0,23
CL Siity Cray (Canyon Dam) 1.0 - 8,2 0.17 30 550 -0.05 0.82
(o8 Skity Clay (Canyon Dam) 1.0 - 8,2 0.59 29 690 0.10 0.7
Ct Sitty Clay (Canyon Dam) 1.0 - 8,2 0,51 33 150 0.62 0.61 360 0
CL Siity Cray (Canyon Dam) 1.0 - 4,0 0.39 30 160 0.50 0.63 210 0
5 - 8.0 0,26 31 130 0,59 0.72 45 0,59

CL Stity Clay (Canyon Dam)
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Table A.2. — Hyperbolic parameters for undrained conditions. From [24].

Compaction .
Wax., dry Opt. Dry - Deqree Stress c Friction
Soil Solt description unlt wt, w/c unlt wi, w/c satura- range {TSF) angle K n R¢ Kp m
(1 b/tt) (tb/¢+7) tion (TSF)
GC  Sandy Gravel (Oroviile Dam Core) 138,6 8.1 139,0 8.1 3.6 - 10,9 1,50 24 540 0.51 0.84
GC  Sandy Grave! (Oroviile Dam Core) 138,6 8.1 139.0 8.1 27.9 - 43,3 10,0 3 190 0,95 0,97
SP Poorly Graded Sand {(Rodman Dam) 109,5 11,8 104,0 11.8 55 1,0 - 3.0 0. 37 (&) 590 1.10 0.89
SsP Poorly Graded Sand (Rodman Dam) 109.5 11,8 98,6 11.8 47 1.0 - 3.0 0. 37 (8) 7710 -0.14 0.87
SP Poorly Graded Sand (Rodman Dam) 109,5 11,8 110,0 11,2 61 1.0 - 3.0 0. 43 (9) 940 0. 0,82
sP Poorly Graded Siity Sand (Rodman Dam) 101.1 13,6 101.3 13.4 57 1.0 = 3.0 0. 44 (6) 420 0,67 0.76
SP  Poorly Graded S1ity Sand (Rodman Dam) 10t,1 13,6 96.2 13,3 50 t.0- 2,0 0. 44 (11) 850 0.79 0,92
SP Poor ly Graded Siity Sand (Rodman Dam) 101.1 13,6 92.0 12.4 42 1.0 - 3.0 40 (8) 470 0.51 0.86
SM  Gravelly Slity Sand (Bail Mountain Dam) 122.9 10.0 124,0 9.4 " tel - 4,35 0. 42 (5) 430 0.38 0,57
SM Slity Sand (Somerviitie Dam) 109,19 13,4 109,.3 13.4 70 0.5 - 6.0 O, 40 (2) 350 0,91 0,69
SM Sl ity Sand (Somervitle Dam) 109, 1 13,4 104,1 13,2 60 0,5 - 6.0 0. 40 (6) 420 0.84 0.75
SM  Sitty Sand (Somerviiie Dam) 109,1 13.4 103.6 16.7 75 0.5 - 6.0 0. 39 (&) 340 0.64 0,72
SM-SC Siity Clayey Sand (Hopklinton Dam) 129,2 9,2 131,0 8.8 83 1.0 - 6,0 +98 31 520 0.35 0.86
SC Clayey Sand (Thomaston Dam) 123,3 12,0 122,0 12,0 85 1.1 - 4.3 .92 18 39 0,61 0,55
SC Clayey Sand (New Don Pedro Dam Core) 125.8 9.8 123.2 9,6 73 5.4 - 21,6 2,60 26 3900 -0.08 0,93 12000 -0.99
SC Clayay Gravelly Sand (Proctor Dam) 120.1 1.2 126.0 8.3 70 0.5 - 1.5 1.80 4 510 0.37 0.64 250 0
SC Clayey Sand (Chattleld Dam) 122,0 11,7 116,2 14,7 90 6.0 - 10,0 1. 30 0 52 0. 0.76
SC Ctayey Sand (Chattleld Dam) 115,0 15,0 110.0 17.0 88 6,0 - 10,0 1.10 0 250 0. 0.97
ML Sandy Sl1t (Chattlie!d Dam) 115.0 12,8 108,7 15.6 11 6,0 - 10,0 1.80 19 208 0.59 0. 86 250 0.
ML Sandy StIt (Chatfield Dam) 115.0 12,8 109.3 12,7 63 6,0 - 10,0 0,39 30 27 .43 0.72
ML  Sandy SiIt (Birch Dam Shell) 108, 8 13.6 104,0 11.6 53 0,5 - 6.0 0,42 31 240 0,31 0,83
ML Sandy S11t (Birch Dam Shet!) 108.8 13,6 104,0 13.6 62 1.5~ 6.0 0.9 31 270 0,38 0.82
ML Sandy STft (Blrch Dam Shelt) 108.8 13,6 104.0 16.6 74 1.5 = 6.0 0, 54 27 100 0.84 0,77
CL Stity Ciay (Arkabutia Dam) 110.0 18,0 108.7 16.7 81 1,0 - 12,3 0.53 29 260 0,60 0.87
CL Si ity Clay (Arkabutla Dam) 110.0 18,0 107.0 19.5 89 1,0 - 8,2 1.20 14 39 0.48 0.58
CL  Lean Ctay (Monroe Dam) 110.5 16.4 107.1 19.1 87 0.7 - 2.9 0.95 0 66 0. 0.75
CL Lean Ciay (Monroe Dam) 110.5 16,4 104,0 21,2 89 0.7 - 2.9 0.42 0 1o 0,03 0.52
CcL tean Clay (Monroe Dam) 106.8 18,0 102,0 21,7 92 0,7 - 2.9 1,00 0 36 0. 0.57
CL Pittsburg Stity Clay 118,9 13,5 105. 4 1.5 52 1,0 - 3,0 0.92 31 650 -0,68 0.90 190 -0.81
CL Plttsburg S1ity Clay 118.9 13,5 109,41 14.3 7 1,0 - 6.0 1.50 t7 760 -0.14 0.93 240 -0,21
CL Plttsburg S! ity Clay 118,9 13,5 109.0 16.8 83 1,0 - 6.0 1.30 6 430 0.10 0,93 15 0.10
CL Pittsburg Silty Clay 118,9 13,5 112,7 11,5 63 1.0 - 6,0 1.80 24 2400 -0.74 0.92 740 -0,96
CL Plttsburq Siity Clay 118.9 13,5 14,7 14.5 84 1,0 - 3.0 1.90 13 2000 -0.30 0.97 460 -0.64
cL Plttsburg Stity Clay 118.9 13.5 108.8 8,71 43 1.0 - 6,0 1.50 32 8900 -1.10 0.94 1900 -t.t
CcL Pit+tsburg Silty Clay 118.9 13,5 119.3 1.7 17 1.0 -~ 6,0 3.30 18 5000 -0,28 0,95 1400 -0.33
CL Sandy Clay (Blrch Dam Core) 110.3 14,5 105.0 12,5 57 1.0 - 6,0 0.64 29 320 -0.21 0.80
CL Sandy Clay (Birch Dam Core 110.3 14,5 105, 0 14,5 66 1,5 - 6,0 0. 50 25 190 0,02 0.81
CcL Sandy Clay (Somerv!|ie Dam) 107.5 17.2 107.9 17.2 87 0.5 - 6,0 1.00 2 74 0.23 0.87
cL Sandy Clay (Somervilte Dam) 107.5 17.2 107.2 17.0 74 0.5 - 6,0 1.00 1 68 -0,06 0.84
CcL Sandy Clay (Somervlile Dam) 107.5 17,2 102.6 20,0 88 0,5 - 6,0 0,45 1 27 0.18 0.85
CL  Sandy Clay (Somervi!le Dam) 1133 14,5 108,3 14,6 74 0.5 -~ 6.0 0,57 25 320 0,29 0.85
CcL Sandy Clay (Somerviile Dam) 95,7 23,3 96.5 23,2 89 0.5 - 6.0 1.50 4 200 0.29 0.89
CL Sandy Clay (Somervitle Dam) 95,7 23,3 91.7 23,3 17 1.5 - 6,0 1.20 3 100 0.18 0.86
CL Sandy Clay (Somerville Dam) 95,7 23,3 90.8 26,7 87 0.5 6,0 0.64 1 53 0.14 0.90



Table A.2. — Hyperbolic parameters for undrained conditions. From [24]. — Continued

[4%

Compaction
Wax. dry " Opt. Dry Degree Stress [o4 Frictlion
Sol) Sol! description unlt wie  w/c unlt wt. w/c  satura- range (TSF) angle K n R¢
(1 b/f17) (I1b/ft7) tion (TSF)

CL Sandy Clay (Somervllle Dam) 110.7 15.0 111.8 15,1 86 0.5 6,0 0,84 22 160 0.34 0,78
cL Sandy Clay (Somerviile Dam) 110.7 15,0 106.5 15,0 74 0.5 - 6.0 0.55 22 290 0.27 0.91
CL Sandy Clay (Somerville Dam) 107.5 16.8 100.3 13,5 58 0.5 - 6,0 0,78 28 680 -0.36 0,84
CL Sandy Clay (Somervilie Dam) 107.5 16,8 106.5 13.3 66 0.5 - 6,0 1,50 25 600 0,18 0.68
CcL Sandy Clay (Somervl!le Dam) 107.5 16.8 102,6 19,3 87 0,5 - 6,0 0.74 6 23 0.32 0,61
cL Sandy Clay (Somerville Dam) 107,5 16.8 106.7 16,7 85 0.5 - 6.0 0,91 18 280 0,60 0.93
CcL Sandy Clay (Somervlile Dam) 107.5 16,8 101,5 16,3 72 0,5 - 6,0 0,66 20 220 0.23 0,90
CL Sandy Clay (Somerville Dam} 106.1 17.2 105.0 18,6 89 0,5 - 6,0 1.30 8 140 0.20 0,84
CL Sandy Clay (Somervl|le Dam) 106, 1 17,2 101.9 17.1 75 0.5 - 6.0 1,00 13 120 0.09 0.83
CL Sandy Clay (Somervitie Dam) 106, 1 17.2 103.0 19,7 89 0.5 - 6.0 0.80 2 47 0.33 0.82
CL Sandy Clay (Somervlile Dam) 106, 1 17.2 106. 5 13.9 70 0.5 - 6.0 1,50 24 950 -0.15 0,90
CcL Sandy Clay (Somerville Dam) 106, 1 17.2 108.3 16.9 89 0.5 - 6.0 1.50 8 470 0. 0,95
cL Sandy Clay (Somerv!ile Dam) 104,9 17.6 98.7 20.8 86 0.5 - 6.0 0.67 4 75 0,44 0.88
CL Sandy Cltay (Somervilile Dam) 104,9 17.6 104.9 14.8 72 0.5 - 6.0 1.80 23 840 -0,19 0.84
CL Sandy Clay (Somervl|ie Dam) 104,9 17.6 101,2 17.4 76 0.5 - 6,0 1,20 12 270 +06 0,87
CL Sandy Clay (Somervillie Dam) 104,9 17.6 100.5 14,2 62 0.5 - 6.0 1,40 29 1100 -0.36 0.83
CL Sandy Clay (Somerv!|le Dam) 104,9 17.6 104.4 17.5 84 0.5 - 6.0 1.40 13 410 0.15 0,87
CL Lean Clay (Ciinton Dam) 103,0 21,2 98.0 24,0 92 1.0 - 5.0 0,77 2 57 0.43 0,86
cL Lean Clay (Ctinton Dam) 105.0 20,2 99,7 22,9 91 1.0 - 3.0 0,97 1 110 0.43 0.90
cL tean Clay (Clinton Dam) 101,0 20,1 99, t 22,7 90 2,0 - 6.0 1.10 2 100 0.27 0.89
CL Lean Clay (Clinton Dam) 101.0 20,1 98,1 23,9 90 2,0 - 6,0 0.99 1 160 0.54 0,97
CL tean Clay (Ctinton Dam)} 101.0 20,1 98,9 22,7 90 2.0 -~ 6.0 1.10 3 130 0.46 0,91
CL Lean Clay (Clinton Dam) 102,0 19.9 96,8 22,7 83 2,0 - 6,0 0,78 2 53 0.41 0,85
CL Sandy Clay (Chatfietd Dam) 104,0 19.3 97.6 23.4 90 6.0 - 10,0 1.20 0 240 0. 0.95
CcL Sandy Clay (Chatfield Dam) 113,0 15,1 107,4 18,1 86 6,0 - 10,0 0,95 0 160 0. 0.93
CcL Sandy Clay (Proctor Dam) 115,0 14,6 114,8 12,2 72 1.5 - 6.0 1.60 12 150 0.16 0.79
cL Stity Clay (Canyon Dam) 116.2 15,2 110,9 13,0 67 1.0 - 14,3 2,00 20 440 0.17 0.85
cL Stity Clay (Canyon Dam) 116.2 15,2 115,8 13,1 77 1,0 - 14,3 2,50 20 440 0.34 0.86
CL Slity Clay (Canyon Dam) 112.8 16.7 111,0 16,2 84 1.0 - 6.3 1.00 16 110 0.94 0.9
CcL Slity Clay (Canyon Dam) 12,8 16.7 12,2 16.6 88 1.0 - 4,1 1.40 Mt 67 0.7 0.77
CcL Siity Clay (Canyon Dam) 112.8 16,7 110.3 17.3 88 1.1 - 4,1 1,00 9 37 0,37 0.65
cL Stity Ciay (Canyon Dam) 108.8 18.0 106, 3 16.2 75 4.1 - 13,5 2,20 3 71 1,06 0,98
CH Fat Clay (Clinton Dam) 94,0 26,5 90,0 28.8 90 1.0 - 3,0 0.61 4 92 0.21 0.89
CH Fat Clay (Monroe Dam) 95.5 26,5 89.3 31.1 93 0.7 - 2.9 0.37 [} 21 0. 0.65
CH fFat Clay (Monroe Dam) 95.5 26,5 92,6 28,6 93 0.7 - 2.9 0,51 1 67 0.02 0,79
CH Fat Clay (Monroe Dam) 100,0 22,7 96.4 26.5 94 1.1 - 2,9 0.63 1 65 0,14 0.77
CH Fat Clay (Chatfleld Dam) 95.0 24,4 90.3 27.4 84 6,0 - 10,0 1.20 0 36 0,72 0,91
CH Fat Ciay (Chatfleld Dam) 95.0 24,4 90,7 24,4 76 6,0 - 10,0 1.50 2 52 0.66 0.89




APPENDIX B
CALCULATIONS OF CAP PARAMETERS FOR OROVILLE DAM






Calculate cap parameters for Orqvllle Dam

Parameters used In Hyporbollc mode! from Duncan, et, al (1980)

Element Group c ¢ K n Pa
2,9,10 0, 43,5 3780 0.19 2116
3,7,8 2640, 25,1 345, 0.76
4,5 0. 43,5 3350, 0.19

Needed for Cap Model

LTYFE T cut 3 Uy CA CB CC CR CD  CW

2,9,10 1 0.0 12,789,911 0.25 28896 0,8 28896 4,76 0,001 0,001
3,7,8 1 0,0 4,772,073 0.25 28896 ‘0,8 26825 8,13 0,001 0,001
4,5 1 0,0 11;334,531 0,25 28896 0,8 28896 4,76 0,001 0,001

1. LTYFE = use soll model = 1
2, T cut - use 0,0
3. Ey
use: Ej = Kpy (03/pa)"
Choose an average value of 1/2 helght of maximum sectlon
Gy = 130 Ibs/f+2 x 770/2 = 50050 1bs/ft2
o3 take = 1/2 (gy) = 25025 Ibs/f+3
€; = 3780 (2116) 25025/2116)0+19 = 127,89,411 ibs/ 12
Ey

345 (2116) (25025/2116)0+76 = 4,772,073 tbs/ 12

Ey = 3350 (2116) (25025/2116)0+19 = 11,334,531 |bs/¢12
4, Uy take = 0,25

5. CA = Jzomax

Take 0y at bottom element of dam = 100100 |bs/f+2
O3 take = 1/201 = 50050

dop = 1/6 ( (g - 032 + (07 - 03)2 + (03 - a?)
‘/2 = =
(JZD%ax 28896 = CA
6, CB take = 0,8 from published results
7. CC - CA = Intercept at (Jzo)‘/2 =0 ork

3¢ - 3(2649)
9412 tan ¢ 9+12 tan (75.1) = 2¢71,.C

k =

CC - CA = 20M CC = 30940

8, CR take as 1/a
tzn & For
9+12 tan ¢

a=
$=143,5 a
¢ =251 a
9, cp teke as 0.001

10, CW take as 0,001

{11, Xint use g3 at 1/2 helght or 50050)

45

Xint

-50050
~50050

=50050






Mission of the Bureau of Reclamation

The Bureau of Reclamation of the U.S. Department of the Interior is
responsible for the development and conservation of the Nation's
water resources in the Western United States.

The Bureau’s original purpose “to provide for the reclamation of arid
and semiarid lands in the West” today covers a wide range of interre-
lated functions. These include providing municipal and industrial water
supplies; hydroelectric power generation; irrigation water for agricul-
ture; water quality improvement; flood control; river navigation, river
regulation and control; fish and wildlife enhancement; outdoor recrea-
tion; and research on water-related design, construction, materials,
atmospheric management, and wind and solar power.

Bureau programs most frequently are the result of close cooperation
with the U.S. Congress, other Federal agencies, States, local govern-
ments, academic institutions, water-user organizations, and other
concerned groups.

A frée pamphlet is available from the Bureau entitled ‘‘Publications
for Sale.” 1t describes some of the technical publications currently
available, their cost, and how to order them. The pamphlet can be
obtained upon request from the Bureau of Reclamation, Attn D-822A,
P O Box 25007, Denver Federal Center, Denver CO 80225-0007.




